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Many historical events have shown that, after an earthquake, fire may be triggered by seismicinduced rupture of gas piping, failure of electrical systems, etc. The current engineering design
methods still ignores many aspects of multi-hazard and in particular fire following earthquake
(FFE) analysis. In this respect, the aim of this paper is to study the behaviour of a braced steel frame
subjected to seismic-induced fire. In particular, FFE numerical analyses were conducted on a fourstorey three-bay braced steel frame with concentric bracings. The results of the numerical analyses served to design the FFE tests performed on unprotected and protected columns belonging
to the bracing system. The fire tests after the seismic event were carried out by considering the
effects of the surrounding seismically damaged structure. Results of the FFE tests on unprotected
columns are reported along with the numerical model calibration.
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Introduction

Earthquakes are destructive and unpredictable events with catastrophic consequences for both people and built environment.
Moreover, secondary triggered effects can strike further an already
weakened community, i.e. ground shaking, surface faults, landslides
and tsunamis. In this respect, also fires following earthquake (FFE)
have historically produced large post-earthquake damage and
losses in terms of lives, buildings and economic costs, like the San
Francisco earthquake (1906), the Kobe earthquake (1995), the Turkey earthquake (2011), the Tohoku earthquake (2011) and the
Christchurch earthquakes (2011). In detail, FFE are a considerable
threat as they can be widespread both at the building level and at
the regional level within the seismic affected area owing to the rupture of gas lines, failure of electrical systems etc. and at the same
time failure of the compartmentation measures. Moreover, they are
more difficult to tackle by the fire brigades because of their possible
large number and extent as well as of possible disruptions within the
infrastructural network that hinder their timely intervention and
within the water supply system.

the possible drop in structural fire performance. The loss of fire protection is particularly dangerous for steel structures because the
high thermal conductivity associated with small profile thicknesses
entails quick temperature rise in the profiles with consequent fast
loss of strength and stiffness. Most of the literature involve numerical simulations on steel moment resisting frames [1][2][3][4] and
only a few of them are dedicated to buckling-restrained and conventional brace systems [5][6]. Both developed a framework for evaluating the post-earthquake performance of steel structures in a
multi-hazard context that incorporates tools that are capable of
probabilistic structural analyses under fire and seismic loads. Experimental studies have been performed on single elements [7], beamconcrete joints made of filled steel tubes [8], and full-scale reinforced concrete frames [9][10]. The study of literature reveals that
several numerical studies on the post-earthquake fire behaviour of
structural components have been carried out without being supported by comprehensive experimental research. Moreover, works
on non-structural components are also very limited. On these premises the European project called EQUFIRE was funded.
2

In this context, the structural fire performance can worsen significantly because the fire acts on an already damaged structure. Furthermore, passive and active fire protections may have also been
damaged by the seismic action and the fire can spread more rapidly
if compartmentation measures have failed. Thus, the seismic performance of the non-structural components may directly affect the fire
performance of the structural members. As consequence, the minimization of the non-structural damage is paramount in mitigating

SERA EQUFIRE project

The EQUFIRE project aims to provide experimental data to investigate the post-earthquake fire performance of steel structures. It is
part of the Transnational Access activities of the SERA project
(www.sera-eu.org ) at the ELSA Reaction Wall of the European Commission - Joint Research Centre (JRC). The project focuses on the
analysis of the behaviour of a braced steel structure subjected to
FFE through full-scale tests based on hybrid simulation at the ELSA
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Reaction Wall and through tests on single elements at the furnace of
the Federal Institute for Materials Research and Testing (BAM).
3

Case study

3.1

Design of the prototype building

A four-storey three-bay steel structure with concentric bracings in
the central bay was selected as case study for simulations and experimental tests, as shown in Figure 1. This frame is part of an office
building with a square plan (12.5 m x 12.5 m) and the location of the
building was assumed to be in the city of Lisbon (Portugal); thus, in
an area of medium-high seismicity. The interstorey height is 3.0 m
except for the height of the first floor, which is equal to 3.6 m. The
lateral force resisting system consists of concentrically braced
frames (CBF). Figure 1 also shows the member sizes and the column
that was then heated after the seismic event, i.e. the column represented in red. Due to experimental constraints, only one member
was heated at BAM, whereas the whole first floor was built at the
JRC.

was employed with dissipation in the bracing members. Then, nonlinear time-history analyses with natural accelerograms were employed to investigate the seismic response of the structure. The general assumptions were the following:





3.2

The columns were considered continuous along the height
of the structure.
All connections were assumed as pinned.
The building was regular in plan and in elevation.
The building was located in Lisbon characterised by peak
ground acceleration equal to 0.186g and type B soil.
Set of accelerograms

In order to perform non-linear time-history analyses, it was fundamental to model the seismic hazard through adequate selection and
scaling of ground motion records. In this respect, a set of fifteen accelerograms for the SD limit state was selected considering the type
of spectrum, magnitude range, distance range, style-of-faulting, local site conditions, period range, and ground motion components using the INGV/EPOS/ORFEUS European Strong motion Database
[12]. As shown in Figure 2, accelerograms were modified to match
the target spectrum in the period range of 0.4÷0.9s that includes the
fundamental period of the structure, i.e. 0.67 s. The accelerograms
were used to perform nonlinear time-history analyses and fire following earthquake (FFE) analyses. A 2D and 3D model of the building was developed in OpenSees [13] software to conduct seismic,
fire and FFE numerical analyses of the braced steel frame.

Figure 2 Comparison of the response spectra for original and modified vs the target
spectrum.
Figure 1 Test frame. Dimensions are in meters.

Two different steel grades were used, namely S275 and S355 (EN
10025-2, 2019). Steel grade S275 was adopted for the dissipative
elements, i.e. the bracings, while steel grade S355 was selected for
the non-dissipative members, i.e. columns, beams and connections.
It is worth to point out that the yield strength for the bracings was
taken as the mean value, i.e. 330 MPa, considering a coefficient of
variation equal to 0.12, whereas for the non-dissipative members
was taken the experimental value obtained through material testing, i.e. 436 MPa.
In detail, IPE sections with the weak axis in the plane of the frame
were used for the bracing elements to force in-plane buckling for essentially two reasons: i) to avoid damage in the walls where the bracing is inserted in; ii) to keep a 2D modelling of the frame representative so that to maintain low computational demand for the hybrid
tests.
In accordance with the Eurocode 8 [11], the frame was designed according to the capacity design criterion by employing a responsespectrum analysis (RSA). In particular, a “High Ductility Class (DCH)”

The accelerogram shown in Figure 3 was selected for the experimental hybrid tests and the numerical analyses, based on three main
requirements:





The selected accelerogram had to cause significant damage to the bracings.
The horizontal displacement of the first floor had to be
equal or lower than ± 30 mm to be compatible with the
horizontal actuator stroke of the BAM furnace.
The axial force of the internal columns at the beginning of
the second floor had to be below 1000 kN to be compatible with the actuators used to impose the vertical loads on
the specimen at the ELSA Reaction Wall.
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(Steel02Material) [16] and geometric nonlinearities was used for
the bracing diagonals. Non-linear beam elements were used for all
elements to check that non-dissipative elements remain in the elastic field owing to the seismic action. Geometric imperfections were
included to allow for buckling EN 1993-1-1 [14]. Masses were considered lumped the floors, following the assumption of rigid diaphragms. The constitutive law provided by EN 1993-1-2 [15] was
adopted to model the mechanical properties of steel at elevated
temperature when for the column that was heated after the earthquake.
4.2
Figure 3 Selected accelerogram for simulations and tests.

4

Numerical simulations

4.1

Finite element model

A non-linear finite element model in OpenSees was developed to
evaluate the FFE response of the structure, which is expected to experience large plastic deformations in the bracing elements due to
the seismic action and in the column due to the fire exposure.
The fibre displacement-based beam-column element was used to
model the beams, columns and braces. Seven non-linear beam elements based on corotational formulation and the uniaxial GiuffreMenegotto-Pinto steel material, with isotropic strain hardening

Figure 4 Numerical fire following earthquake simulation using OpenSees.

Fire following earthquake simulation

Figure 4 illustrates the results of the numerical simulation of the FFE
test on the bare structure (without fire protection) for the selected
acceleration time-history followed by the ISO 834 [17] heating
curve. As is possible to observe, the energy dissipation is concentrated in the braces and in particular at the ground floor. The internal columns and all the other elements remained in the elastic field
during the seismic event. After the earthquake, fire was initiated and
collapse occurred 24 minutes after the start of the fire. Figure 4 also
shows the final deformed configuration of the steel frame at the end
of the simulation.
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FFE tests at BAM

5.1

Experimental setup

The experimental tests at BAM were performed using a sub-structuring technique as shown in Figure 5, in which the physical column
was firstly subjected to the horizontal and vertical displacement
time-histories computed through numerical modelling (see Section
4). Then, the column was heated by the ISO 834 standard heating
curve and a constant numerical axial stiffness representative of the
surrounding structure was applied as boundary condition at the top
of the physical column.
During the fire part of the FFE tests, the axial force of the column
was measured and displacements were then imposed on the column
in order to keep the two substructures in mechanical equilibrium.

The axial stiffness of the upper part of the structure was numerically
estimated by a static non-linear analysis. In detail, the full structure
was subjected to gravity loads and to the selected accelerogram thorugh non-linear time-history analysis. Then the physical column was
removed and the frame was constrained at each floor to reproduce
the boundary condition of the actual experimental setup at BAM. Finally, a monotonic displacement-controlled pattern, which continuously increases, was performed, as depicted in Figure 6. As shown in
Figure 7 the equivalent stiffness of the surrounding structure after
the seismic event is neither constant nor linear. Due to this reason,
it was not possible to exactly reproduce the same axial force condition in the column during the test. However, the value of K was chosen to reach a similar critical temperature.

Five FFE tests were conducted at BAM:






Test #0 Column E: without fire protection system;
Test #1 Column A: without fire protection system;
Test #2 Column B: fire protection system, PROMATECTH, designed for seismic region;
Test #3 Column C: fire protection system, PROMATECTH, not designed for seismic region;
Test #4 Column D: sprayed vermiculite-type fire protection, designed for applications in seismic region”. The mechanical reinforcing mesh retained the sprayed coating. It
was located in the middle of the overall coating thickness.
Figure 7 Axial stiffness of the surrounding structure vs axial displacement curve

In this respect, two 3D models of the physical specimen were modelled in OpenSees with two different boundary conditions on top, i.e.
pinned (Case A) and fixed conditions (Case B). The column was modelled with 15 non-linear thermomechanical beam elements. It was
first subjected to the gravity load, then to horizontal and vertical displacement histories resulting from seismic non-linear dynamic analysis. Afterwards, thermal action was applied with different constant
axial stiffness values (K between 5 and 15 kN/mm) representative of
the surrounding structure, as boundary conditions.

Figure 5 Sub-structuring method [18].

5.2

Equivalent stiffness of the numerical substructure during
the fire events

In order to determine the more appropriate equivalent axial stiffness value, Figure 8 shows the results in terms of the axial force and
vertical displacement compared with the numerical analysis conducted on the whole structure. As it is possible to observe, a good
value of the equivalent stiffness of the surrounding structure after
the damage caused by the earthquake was equal to 5.3 kN/mm and
this value was used in the tests. Moreover, the case with fixed conditions at the top of the column better agreed with the outcomes of
the reference solution.

Figure 6 Static non-linear analysis to determine the axial stiffness value of the
surrounding structure.

(a)
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However, at the end of the seismic event, the recorded axial force
was consistent with the one obtained through numerical simulation.
As expected, in all tests the columns remained in the elastic range
being non-dissipative elements of the bracing system.

(b)
Figure 8 Comparison between the reference numerical solution and the single column with constant axial stiffness: a) axial displacements vs temperature curve; b)
axial forces vs temperature curve.

6

Figure 10 shows the results of the fire tests after the seismic event,
for the two unprotected columns, i.e. Test #0 Column E and Test #1
Column A. The mean temperature in the cross section as well as the
experimental axial displacement and the axial force are reported in
Figure 10. Moreover, the comparison with the numerical model is
also shown. Good agreement between the experimental outcomes
and the numerical prediction obtained from model the whole frame
can be observed for the first 23 min, time at which the numerical
model experienced failure. Nonetheless, the experimental tests did
not exhibit failure for the first 60 min. Thus, a calibration procedure
of the numerical model was performed. It is worth pointing out that
since the column was designed according to the capacity design, the
utilisation factor in the fire situation was quite low and equal to 0.15.

Tests results

For brevity, only Test#0 and Test#1 are described in the following.
The response history of the unprotected steel frame computed with
OpenSees was compared against the results of the experimental
tests at BAM. These results will be used for further calibration of the
numerical model and for comparison with successive hybrid tests at
JRC.
Figure 9 shows the axial displacement imposed to the specimens and
the recorded axial force from the load cell. Overall the agreement is
good. However, it is possible to observe that, due to the fairly high
axial stiffness of the column, the actuator was not able to exactly follow the displacement time history and this implied some discrepancies in the applied force.

(a)

(b)
Figure 9 Seismic test: Comparison between the numerical solution and the tests: a)
axial displacement and b) axial force.

Figure 10 Comparison between the results of the numerical model and the FFE tests on the unprotected columns.
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Model calibration

The calibration of the column numerical model consisted in modelling the boundary conditions by estimating the actual initial rotational stiffness based on the type of joint, as shown in Figure 11. In
fact, the preliminary numerical analyses were carried out with
pinned connections at the bottom end. However, the actual bottom
end joint was not a nominal pin but instead it was made of a steel
plate welded at the column and bolted to the base of the furnace.
Therefore, even if the bolts were arranged in such a way to minimise
the lever arm, some bending forces will always develop. For this reason, in the calibrated model the column was considered rotationally
restrained at both ends using rotational springs that reproduce as
close as possible the actual stiffness of the joints, as shown in Figure
12. The rotational stiffness Krot of the base connection was numerically estimated by using a 3D finite element model of the joint and
the estimated value was equal to 3.1 MNm/rad. In order to simplify,
the same value of rotational stiffness was given at the top end too
because the joint was similar. Moreover, for each specimen the recorded temperature evolution in the column along its height was applied in order to be more representative of the actual temperature
distribution, as illustrated in Figure 12. The column was modelled
with 3D thermomechanical beam elements. Geometric imperfections were included, whereas the residual stresses were neglected.
The results of the model calibration are shown in Figure 13, in which
it is possible to observe that a better agreement with experimental
data, especially for the axial force, was achieved. Nevertheless, the
numerical model reached failure after 28 min. This discrepancy may
be caused by a temperature gradient within the cross-section, that
was not considered in the modelling and by the actual rotational
stiffness at the boundary conditions, that might have varied as fire
test progressed. Indeed, since the column ends were protected, as
shown in Figure 11, an increase in rotational stiffness offered by the
joint relatively to the hot column as the steel temperature increased
can be expected. Thus, a decrease of effective length could occur
and this phenomenon was not taken into account because the rotational stiffness was kept constant during the simulation. In this respect, more refined numerical analyses are being performed.

Figure 12 Calibrated numerical model: boundary conditions and temperature evolution along its height

Figure 13 Comparison between the results of the numerical model, the calibrated
3D column and the FFE tests on the unprotected columns.

8

Figure 11 End plate steel column connection.

Conclusion

The paper presented part of the results of an experimental and numerical FFE analysis on a braced steel frame and in particular on columns belonging to the bracing system. The research activity was
performed within the European EQUFIRE project. The numerical
model developed in OpenSees was able to perform highly non-linear
multi-hazard analyses and it served to design the FFE tests. As for
the unprotected column tests, the specimens, as expected, remained in the elastic range after the seismic event at the Significant
Damage limit state. During the successive fire tests performed by
considering the effects of the surrounding structure through a constant axial stiffness, no failure was detected after 60 min of exposure to the ISO 834 heating curve. The main reason was the low utilisation factor in the fire situation. Model calibration was performed
with beam finite elements that exhibited good agreement but also
failure. This latter discrepancy may be caused by a temperature gradient within the cross-section, that was not considered in the modelling and by the actual rotational stiffness at the boundary conditions, that might have varied as fire test progressed. Thus, among
the future perspectives there will be an activity related to a more refined numerical modelling.
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